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53.1 Introduction

Bridges do not usually fail due to inadequate load capacity, except when an overweight truck is
illegally driven onto an old bridge with very low load rating. When bridge superstructures “fail,” it
is usually because of excessive deterioration by corrosion and/or fatigue cracking rather than inad-
equate load capacity. Although most deterioration can be attributed to lack of proper maintenance,
there are choices made in design that also can have an impact on service life. Yet the design process
for bridges is focused primarily on load capacity rather than durability.

This chapter of the handbook will inform the reader about a particular aspect of durability, i.e.,
the fatigue and fracture failure mode, and about detailing for improved resistance to fatigue and
fracture. Only aspects of fatigue and fracture that are relevant to design or assessment of bridge
deck and superstructure components are discussed. Concrete and aluminum structural components
are discussed briefly, but the emphasis of this section is on steel structural components.

The fatigue and fracture design and assessment procedures outlined in this chapter are included
in the American Association of State Highway and Transportation Officials (AASHTO) specifications
for bridges [1]. Some of the bridges built before the mid-1970s (when the present fatigue-design
specifications were adopted) may be susceptible to fatigue cracking. There are valuable lessons that
can be learned from the problems that these bridges experienced, and several examples will be used
in this chapter to illustrate various points. These lessons have been incorporated into the present
AASHTO specifications [2,3]. As a result, steel bridges that have been built in the last few decades
have not and will not have any significant problems with fatigue and fracture [2].

These case histories of fatigue cracking should not create the false impression that there is an
inherent fatigue problem with steel bridges. The problems that occur are confined to older bridges.
These problems are, for the most part, relatively minor and can be corrected with inexpensive
retrofits. The problems are even easier to avoid in new designs. Therefore, because there are some
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fatigue problems with older bridges, one should not get the impression that there are ongoing
fatigue problems with modern bridges designed by the present fatigue-design specifications.

Detailing rules are perhaps the most important part of the fatigue and fracture design and
assessment procedures. The detailing rules are intended to avoid notches and other stress concen-
trations. These detailing rules are useful for the avoidance of brittle fracture as well as fatigue.
Because of the detailing rules, modern steel bridges are detailed in a way that appears much cleaner
than those built before the 1970s. There are fewer connections and attachments in modern bridges,
and the connections use more fatigue-resistant details such as high-strength bolted joints.

For example, AWS D1.5 (Bridge Welding Code) does not permit backing bars to be left in place
on welds. This rule is a result of experience such as that shown in Figure 53.1. Figure 53.1 shows
lateral gusset plates on the Lafayette St. Bridge in St. Paul, MN that cracked and led to a fracture
of a primary girder in 1976 [3,4]. In this detail, backing bars were left in place under the groove
welds joining the lateral gusset plate to the transverse stiffener and to the girder web. The backing
bars create a cracklike notch, often accompanied by a lack-of-fusion defect. Fatigue cracks initiate
from this cracklike notch and the lack of fusion in the weld to the transverse stiffener because, in
this case, the plane of the notch is perpendicular to the primary fluctuating stress.

The Bridge Welding Code AWS D1.5 at present requires that backing bars be removed from all
bridge welds to avoid these notches. Prior to 1994, this detailing rule was not considered applicable
to seismic moment-resisting building frames. Consequently, many of these frames fractured when
the 1994 Northridge earthquake loaded them. Backing bars left on the beam flange-to-column welds
of these frames created a built-in cracklike notch. This notch contributed to the Northridge fractures,
along with lack-of-fusion defects and low-toughness welds [5–7].

Figure 53.2 shows a detail where a primary girder flange penetrates and is continuous through
the web of a cross girder of the Dan Ryan Elevated structures in Chicago [8]. In this case, the short
vertical welds at the sides of the flange were defective. Fatigue cracks initiated at these welds, which

FIGURE 53.1 View of cracked girder of Lafayette Street Bridge in St. Paul, MN showing fatigue crack originating
from backing bars and lack of fusion on the weld attaching the lateral bracing attachment plate to the web and to
the transverse stiffener.
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led to fracture of the cross girder. It is unlikely that good welds could have been made for this detail.
A better alternative would have been to have cope holes at the ends of the flange. Note that in
Figures 53.1 and 53.2, the fractures did not lead to structural collapse. The reason for this reserve
tolerance to large cracks will be discussed in Section 53.2.

In bridges, there are usually a large number of cycles of significant live load, and fatigue will
almost always precede fracture. Therefore, controlling fatigue is practically more important than
controlling fracture. The civil engineering approach for fatigue is explained in Section 53.3. The
fatigue life (N) of particular details is determined by the nominal stress range (S) from S–N curves.
The nominal stress S–N curves are the lower-bound curves to a large number of full-scale fatigue
test data. The full-scale tests empirically take into account a number of variables with great uncer-
tainty, e.g., residual stress, weld profile, environment, and discontinuities in the material from
manufacturing. Consequently, the variability of fatigue life data at a particular stress range is
typically about a factor of 10.

Usually, the only measures taken in design that are primarily intended to assure fracture resistance
are to specify materials with minimum specified toughness values, such as a Charpy V-Notch (CVN)
test requirement. As explained in Section 53.4, toughness is specified so that the structure is resistant
to brittle fracture despite manufacturing defects, fatigue cracks, and/or unanticipated loading. These
material specifications are less important for bridges than the S–N curves and detailing rules, however.

Steel structures have exhibited unmatched ductility and integrity when subjected to seismic
loading. Modern steel bridges in the United States which are designed to resist fatigue and fracture
from truck loading have not exhibited fractures in earthquakes. It would appear that the modern
bridge design procedures which consider fatigue and fracture from truck loading are also adequate
to assure resistance to brittle fracture under seismic loading. Although rare, fractures of bridge
structural elements have occurred during earthquakes outside the United States. For example, brittle
fractures occurred on several types of steel bridge piers during the 1995 Hyogo-ken Nanbu earth-
quake in Japan [9].

FIGURE 53.2 View of cracked cross girder of Dan Ryan elevated structure in Chicago showing cracking originating
from short vertical welds which are impossible to make without lack of fusion defects.
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These fatigue and fracture design and assessment procedures for bridges are also applicable to
many other types of cyclically loaded structures which use similar welded and bolted details, e.g.,
cranes, buildings, chimneys, transmission towers, sign, signal, and luminaire support structures,
etc. In fact, these procedures are similar to those in the American Welding Society AWS D1.1,
“Structural Welding Code — Steel” [10], which is applicable to a broad range of welded structures.

This “civil engineering” approach to fatigue and fracture could also be applied to large welded
and bolted details in structures outside the traditional domain of civil engineering, including ships,
offshore structures, mobile cranes, and heavy vehicle frames. However, the civil engineering
approach to fatigue presented here is different from traditional mechanical engineering approaches.
The mechanical engineering approaches are well suited to smooth machined parts and other appli-
cations where a major portion of the fatigue life of a part is consumed in forming an initial crack.
In the mechanical engineering approaches, the fatigue strength is proportional to the ultimate tensile
strength of the steel. The experimental data show this is not true for welded details, as discussed
below.

53.2 Redundancy, Ductility, and Structural Collapse

Fatigue is considered a serviceability limit state for bridges because the fatigue cracks and fractures
that have occurred have mostly not been significant from the standpoint of structural integrity.
Redundancy and ductility of steel bridges have prevented catastrophic collapse. Only in certain truly
nonredundant structural systems can fatigue cracking lead to structural collapse.

The I-79 Bridge at Neville Island in Pittsburgh is an example of the robustness of even so-called
fracture critical or nonredundant two-girder bridges. In 1977, one of the girders developed a fatigue
crack in the tension flange at the location of a fabrication repair of an electroslag weld splice [3].
As shown in Figure 53.3, the crack completely fractured the bottom flange and propagated up the
web of this critical girder. A tugboat captain happened to look up and notice the crack extending
as he passed under the bridge.

Although two-girder bridges are considered nonredundant, other elements of the bridge, partic-
ularly the deck, are usually able to carry the loads and prevent collapse as in the case of the I-79
bridge. Today, because of the penalties in design and fabrication for nonredundant or fracture-
critical members, simple and low-cost two-girder bridges are seldom built. Note that the large cracks

FIGURE 53.3 View of cracked girder of I-79 Bridge at Neville Island in Pittsburgh as an example of a bridge that
is sufficiently redundant to avoid collapse despite a fracture of the tension flange and the web.
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shown in the bridges in Figures 53.1 and 53.2 also did not lead to structural collapse. Unfortunately,
this built-in redundancy shown by these structures is difficult to predict and is not explicitly
recognized in design.

The beneficial effects of redundancy on fatigue and fracture are best explained in terms of the
boundary conditions on the structural members. The truck loads and wind loads on bridges are
essentially “fixed-load” or “load-control” boundary conditions. On a local scale, however, most
individual members and connections in redundant structures are essentially under “displacement-
control” boundary conditions. In other words, because of the stiffness of the surrounding structure,
the ends of the member have to deform in a way that is compatible with nearby members. A cracked
member in parallel with other similar but uncracked members will experience a decreasing load
range and nominal stress range as the stiffness of the cracked member decreases. This behavior
under displacement control is referred to as load shedding and it can slow down the rate of fatigue
crack propagation.

If a fatigue crack forms in one element of a bolted or riveted built-up structural member, the
crack cannot propagate directly into neighboring elements. Usually, a riveted member will not fail
until additional cracks form in one or more additional elements. Therefore, riveted built-up struc-
tural members are inherently redundant. Once a fatigue crack forms, it can propagate directly into
all elements of a continuous welded member and cause failure at service loads. Welded structures
are not inferior to bolted or riveted structures; they require more attention to design, detailing, and
quality.

Ductility is required in order for redundancy to be completely effective. As the net section of a
cracking bridge member decreases, the plastic moment capacity of the member decreases. If a
member is sufficiently ductile, it can tolerate a crack so large that the applied moment exceeds the
plastic moment for the net section and a mechanism will form in the member [11–13]. If the
member can then deform to several times the yield rotation, the load will be shed to the deck and
other members.

Minimum levels of fracture toughness are necessary to achieve ductility, but are not sufficient.
The fracture toughness assures that brittle fracture does not occur before general yielding of the
net cross section. However, net section yielding is not very ductile unless the yielding can spread
to the gross section, which requires strain hardening in the stress–strain relationship of the steel,
or a reasonably low yield-to-tensile ratio [12–14].

53.3 Fatigue Resistance

Low-cycle fatigue is a possible failure mode for structural members or connections which are cycled
into the inelastic region for a small number of cycles (less that 1000) [15,16]. For example, bridge
pier structures may be subjected to low-cycle fatigue in an earthquake [9]. Brittle fractures occurred
in Japan in steel piers that underwent large plastic strain cycles during the 1995 Hyogo-ken Nanbu
earthquake in Japan [9]. However, in order to focus on the more common phenomenon of high-
cycle fatigue, low-cycle fatigue is not discussed further in this section.

Truck traffic is the primary cause of high-cycle fatigue of bridges. Wind loads may also be a
fatigue design consideration in bridges. Wind-induced vibration has caused numerous fatigue
problems in sign, signal, and luminaire support structures [17].

Although cracks can form in structures cycled in compression, they arrest and are not structurally
significant. Therefore, only members or connections for which the stress cycle is at least partially
in tension need to be assessed.

In most bridges, the ratio of the fatigue design truck load to the strength design load is large
enough that fatigue may control the design of much of the structure. In long-span bridges, the load
on much of the superstructure is dominated by the dead load, with the fluctuating live-load part
relatively small. These members will not be sensitive to fatigue. However, the deck, stringers, and
floor beams of bridges are subjected to primarily live load and therefore will be controlled by fatigue.
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Fortunately, the deck, stringers, and floor beams are secondary members which, if they failed, would
not lead to structural collapse.

When information about a specific crack is available, a fracture mechanics crack growth rate
analysis should be used to calculate remaining life [23–25]. However, in the design stage, without
specific initial crack size data, the fracture mechanics approach is not any more accurate than the
S–N curve approach [25]. Therefore, the fracture mechanics crack growth analysis will not be
discussed further.

Welded and bolted details for bridges and buildings are designed based on the nominal stress
range rather than the local “concentrated” stress at the weld detail. The nominal stress is usually
obtained from standard design equations for bending and axial stress and does not include the
effect of stress concentrations of welds and attachments. Since fatigue is typically only a serviceability
problem, fatigue design is carried out using service loads as discussed in Section 53.3.5. Usually, the
nominal stress in the members can be easily calculated without excessive error. However, the proper
definition of the nominal stresses may become a problem in regions of high stress gradients [26,27].

It is standard practice in fatigue design of welded structures to separate the weld details into
categories having similar fatigue resistance in terms of the nominal stress. Each category of weld
details has an associated S–N curve. The S–N curves for steel in the AASHTO [1], AISC [28],
ANSI/AWS [10], and American Railway Engineers Association (AREA) provisions are shown in
Figure 53.4. S–N curves are presented for seven categories of weld details — A through E′, in order
of decreasing fatigue strength. These S–N curves are based on a lower bound to a large number of
full-scale fatigue test data with a 97.5% survival limit.

The slope of the regression line fit to the test data for welded details is typically in the range 2.9
to 3.1 [20,21]. Therefore, in the AISC and AASHTO codes as well as in Eurocode 3 [29], the slopes
have been standardized at 3.0. The effect of the welds and other stress concentrations are reflected
in the ordinate of the S–N curves for the various detail categories.

Figure 53.4 shows the fatigue threshold or constant amplitude fatigue limits (CAFL) for each
category as horizontal dashed lines. When constant-amplitude tests are performed at stress ranges
below the CAFL, noticeable cracking does not occur. The number of cycles associated with the
CAFL is whatever number of cycles corresponds to that stress range on the S–N curve for that
category or class of detail. The CAFL occurs at an increasing number of cycles for lower fatigue

FIGURE 53.4 The lower-bound S–N curves for the seven prinary fatigue categories from the AASHTO, AREA,
AWS, and AISC specifications. The dotted lines are the CAFL and indicate the detail category.
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categories or classes. Sometimes, different details, which share a common S–N curve (or category)
in the finite-life regime, have different CAFL.

Typically, small-scale specimen tests will result in longer apparent fatigue lives. Therefore, the
S–N curve must be based on tests of full-size structural components such as girders. Testing on full-
scale welded members has indicated that the primary effect of constant-amplitude loading can be
accounted for in the live-load stress range; i.e., the mean stress is not significant [18–21]. The reason
that the dead load has little effect on the lower bound of the results is that, locally, there are very
high residual stresses from welding. Mean stress may be important for some details that are not
welded, such as anchor bolts [17,22]. In order to be conservative for nonwelded details, in which
there may be a significant effect of the mean stress, the fatigue test data should be generated under
loading with a high tensile mean stress.

The strength and type of steel have only a negligible effect on the fatigue resistance expected for
a particular detail [18–21]. The welding process also does not typically have an effect on the fatigue
resistance [18–21]. The independence of the fatigue resistance from the type of steel greatly simplifies
the development of design rules for fatigue since it eliminates the need to generate data for every
type of steel.

The full-scale fatigue experiments have been carried out in moist air and therefore reflect some
degree of environmental effect or corrosion fatigue. Full-scale fatigue experiments in seawater do
not show significantly lower fatigue lives [30], provided that corrosion is not so severe that it causes
pitting. The fatigue lives seem to be more significantly influenced by the stress concentration at the
toe of welds and the initial discontinuities. Therefore, these lower-bound S–N curves can be used
for design of bridges in any natural environmental exposure, even near salt spray. However, pitting
from severe corrosion may become a fatigue-critical condition and should not be allowed [31,32].

Similar S–N curves have been proposed by the Aluminum Association [56] for welded aluminum
structures. Table 53.1 summarizes the CAFL for steel and aluminum for categories A through E′.
The design procedures are based on associating weld details with specific categories. For both steel
and aluminum, the separation of details into categories is approximately the same.

The categories in Figure 53.4 range from A to E′ in order of decreasing fatigue strength. There is
an eighth category, F, in the specifications (not shown in Figure 53.4) which applies to fillet welds
loaded in shear. However, there have been very few if any failures related to shear, and the stress
ranges are typically very low such that fatigue rarely would control the design. Therefore, the shear
stress Category F will not be discussed further. In fact, there have been very few if any failures which
have been attributed to details which have a fatigue strength greater than Category C.

53.3.1 Classification of Details in Metal Structural Components

Details must be associated with one of the drawings in the specification [1] to determine the fatigue
category. The following is a brief, simplified overview of the categorization of fatigue details. In
some cases, this overview has left out some details so the specification should always be checked

TABLE 53.1 Constant-Amplitude Fatigue Limits for 
AASHTO and Aluminum Association S–N Curves

Detail Category
CAFL for Steel 

(MPa) 
CAFL for Aluminum 

(MPa)

A 165 70
B 110 41
B′ 83 32
C 69 28
D 48 17
E 31 13
E′ 18 7
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for the appropriate detail categorization. The AISC specification [28] has a somewhat better pre-
sentation of the sketches and explanation of the detail categorization than the AASHTO specifica-
tions. Also, several reports have been published which show a large number of illustrations of details
and their categories [33,34]. In addition, the Eurocode 3 [29] and the British Standard 7608 [35]
have more detailed illustrations for their categorization than does the AISC or AASHTO specifica-
tions. A book by Maddox [36] discusses categorization of many details in accordance with BS 7608,
from which roughly equivalent AISC categories can be inferred.

Small holes are considered Category D details. Therefore, riveted and mechanically fastened joints
(other than high-strength bolted joints) loaded in shear are evaluated as Category D in terms of
the net section nominal stress. Properly tensioned high-strength bolted joints loaded in shear may
be classified as Category B. Pin plates and eyebars are designed as Category E details in terms of
the stress on the net section.

Welded joints are considered longitudinal if the axis of the weld is parallel to the primary stress
range. Continuous longitudinal welds are Category B or B′ details. However, the terminations of
longitudinal fillet welds are more severe (Category E). (The termination of full-penetration groove
longitudinal welds requires a ground transition radius but gives greater fatigue strength, depending
on the radius.) If longitudinal welds must be terminated, it is better to terminate at a location where
the stress ranges are less severe.

Attachments normal to flanges or plates that do not carry significant load are rated Category C
if less than 51 mm long in the direction of the primary stress range, D if between 51 and 101 mm
long, and E if greater than 101 mm long. (The 101 mm limit may be smaller for plate thinner than
9 mm). If there is not at least 10-mm edge distance, then Category E applies for an attachment of
any length. The Category E′, slightly worse than Category E, applies if the attachment plates or the
flanges exceed 25 mm in thickness.

Transverse stiffeners are treated as short attachments (Category C). Transverse stiffeners that are
used for cross-bracing or diaphragms are also treated as Category C details with respect to the stress
in the main member. In most cases, the stress range in the stiffener from the diaphragm loads is
not considered, because these loads are typically unpredictable. However, the detailing of attachment
plates is critical to avoid distortion-induced fatigue, as discussed in Section 53.3.2.

In most other types of load-carrying attachments, there is interaction between the stress range
in the transverse load-carrying attachment and the stress range in the main member. In practice,
each of these stress ranges is checked separately. The attachment is evaluated with respect to the
stress range in the main member, and then it is separately evaluated with respect to the transverse
stress range. The combined multiaxial effect of the two stress ranges is taken into account by a
decrease in the fatigue strength; i.e., most load-carrying attachments are considered Category E
details.

The fatigue strength of longitudinal attachments can be increased if the ends are given a radius
and the fillet or groove weld ends are ground smooth. For example, a longitudinal attachment (load-
bearing or not) with a transition radius greater than 50 mm can be considered Category D. If the
transition radius of a groove-welded longitudinal attachment is increased to greater than 152 mm
(with the groove-weld ends ground smooth), the detail (load bearing or not) can be considered
Category C.

53.3.2 Detailing to Avoid Distortion-Induced Fatigue

It is clear from the type of cracks that occur in bridges that a significant proportion of the cracking
is due to distortion that results from such secondary loading [37]. The solution to the problem of
fatigue cracking due to secondary loading usually relies on the qualitative art of good detailing [38].
Often, the best solution to distortion cracking problems may be to stiffen the structure. Typically,
the better connections are more rigid.
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One of the most overlooked secondary loading problems occurs at the interface of structures
with different flexural rigidities and curvatures [39,40]. Figure 53.5 shows a typical crack at the
floor beam flange cope in the Throg’s Neck Bridge in New York. One of the closed trapezoidal ribs
of an orthotropic steel deck is visible in Figure 53.5. The orthotropic deck was added to the structure
to replace a deteriorating deck by bolting onto the floor beams. However, the superstructure has
curvature that is incompatible with the stiff deck. The difference in curvature manifests as out-of-
plane rotation of the flange of the floor beam. The crack is caused by out-of-plane bending of the
floor beam web at the location of the cope, which has many built-in discontinuities due to the flame
cutting.

Another example of secondary loading from out-of-plane distortion may occur at attachment
plates for transverse bracing or for a floor beam. These attachment plates, which may have distor-
tion-induced out-of-plane loads, should be welded directly to both flanges as well as the web. In
older bridges, it was common practice not to weld transverse stiffeners and attachment plates to
the tension flange of welded I-girders and box girders. The practice of not allowing transverse fillet
welds on the tension flange is not necessary and is due to unwarranted concern about brittle fracture
of the tension flange [37,38]. Unfortunately, this practice is not harmless, because numerous fatigue
cracks have occurred due to distortion in the “web gap,” i.e., the narrow gap between the termination
of the attachment plate fillet welds and the flange [37,38]. Figure 53.6 shows an example of a crack
that formed along the fillet weld that attaches a diaphragm connection plate to the web of a box
girder.

In most cases, these web-gap-cracking problems can be solved by rigidly attaching the attachment
plate to the tension flange. To retrofit existing bridges, a very thick T or angle may be high-strength-
bolted in to join the attachment plate to the tension flange [38]. The cracked detail shown in
Figure 53.6 was retrofit this way. In other cases a better solution is to make the detail more flexible.
This flexibility can be accomplished by increasing the size of the gap, allowing the distortion to take
place over a greater length so that lower stresses are created.

The flexibility approach is used to prevent cracking at the terminations of transverse stiffeners
that are not welded to the bottom flange. If there is a narrow web gap between the end of a transverse
stiffener and the bottom flange, cracking can occur due to distortion of the web gap from inertial

FIGURE 53.5 View of floor beam of Throgg’s Neck Bridge in New York showing crack in the cope that has been
repaired by drilling a stop hole. The crack is caused by incompatibility between the curvature of the superstructure
and the orthotropic steel deck that is bolted onto the floor beams.
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loading during handling and shipping. To prevent this type of cracking, the gap between the flange
and the end of the stiffener should be between four and six times the thickness of the web [38].

Another example where the best details are more flexible is connection angles for “simply sup-
ported” beams. Despite our assumptions, such simple connections transmit up to 40% of the
theoretical fixed-end moment, even though they are designed to transmit only shear forces. This
unintentional end moment may crack the connection angles. The cracked connection angle shown
in Figure 53.7 was from the stringer to floor beam connection on a bridge that formerly was on
I-94 over the St. Croix River (it was recently replaced).

FIGURE 53.6 View of crack in the fillet weld joining the diaphragm connection plate to the web of a box section
in the Washington Metro elevated structures. The crack is caused by distortion in the small gap between the bottom
of the attachment plate and the box girder flange.

FIGURE 53.7 Connection angle from stringer to floor beam connection of a bridge over the St. Croix River on
I-94 that cracked because it was too stiff. 
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For a given load, the moment in the connection decreases significantly as the rotational stiffness
of the connection decreases. The increased flexibility of connection angles allows the limited amount
of end rotation to take place with reduced bending stresses. A criterion has been developed for the
design of these angles to provide sufficient flexibility [41]. The criterion states that the angle
thickness (t) must be

t < 12 (g2/L) (53.1)

where (g) is the gauge and L is the span length. For example, using S.I. units, for connection angles
with a gauge of 76 mm and a beam span of 7000 mm, the angle thickness should be just less than
10 mm. To solve a connection-angle-cracking problem in service, the topmost rivet or bolt may be
removed and replaced with a loose bolt to ensure the shear capacity. For loose bolts, steps are
required to ensure that the nuts do not back off.

Another result of unintended end moment on a floor beam is shown in Figure 53.8 from the
Dresbach Bridge 9320 in Minnesota. In this bridge, the web of the welded built-up floor beam
extends beyond the flanges in order to bolt to the floor beam connection plate on the girder. The
unintended moment at the end of the floor beam is enough to cause cracking in the web plate at
the termination of the flange fillet welds. There is a large stress concentration at this location caused
by the abrupt change in section at the end of the flange; i.e., this is a Category E′ detail.

Significant stresses from secondary loading are often in a different direction than the primary
stresses. Fortunately, experience with multiaxial loading experiments on large-scale welded struc-
tural details indicates the loading perpendicular to the local notch or the weld toe dominates the
fatigue life. The cyclic stress in the other direction has no effect if the stress range is below 83 MPa
and only a small influence above 83 MPa [26,37]. The recommended approach for multiaxial loads
[26] is

FIGURE 53.8 Close-up view of a crack originating at the termination of a flange on a floor beam with a “simple”
connection to an attachment plate in the Dresbach Bridge in Minnesota. The crack is an indication of an end moment
in the simple connection that is not predicted in design.
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1. To decide which loading (primary or secondary) dominates the fatigue cracking problem
(typically the loading perpendicular to the weld axis or perpendicular to where cracks have
previously occurred in similar details); and,

2. To perform the fatigue analysis using the stress range in this direction (i.e., ignore the stresses
in the orthogonal directions).

53.3.3 Classification of Details in Concrete Structural Components

Concrete structures are typically less sensitive to fatigue than welded steel and aluminum structures.
However, fatigue may govern the design when impact loading is involved, such as pavement, bridge
decks, and rail ties. Also, as the age of concrete girders in service increases, and as the applied stress
ranges increase with increasing strength of concrete, the concern for fatigue in concrete structural
members has also increased.

According to ACI Committee Report 215R-74 in the Manual of Standard Practice [42], the fatigue
strength of plain concrete at 10 million cycles is approximately 55% of the ultimate strength.
However, even if failure does not occur, repeated loading may contribute to premature cracking of
the concrete, such as inclined cracking in prestressed beams. This cracking can then lead to localized
corrosion and fatigue of the reinforcement [43].

The fatigue strength of straight, unwelded reinforcing bars and prestressing strand can be
described (in terms of the categories for steel details described above) with the Category B S–N
curve. ACI Committee 215 suggests that members be designed to limit the stress range in the
reinforcing bar to 138 MPa for high levels of minimum stress (possibly increasing to 161 MPa for
less minimum stress). Fatigue tests show that previously bent bars had only about half the fatigue
strength of straight bars, and failures have occurred down to 113 MPa [44]. Committee 215 rec-
ommends that half of the stress range for straight bars be used, i.e., 69 MPa for the worst-case
minimum stress. Equating this recommendation to the S–N curves for steel details, bent reinforce-
ment may be treated as a Category D detail.

Provided the quality is good, butt welds in straight reinforcing bars do not significantly lower
the fatigue strength. However, tack welds reduce the fatigue strength of straight bars about 33%,
with failures occurring as low as 138 MPa. Fatigue failures have been reported in welded wire fabric
and bar mats [45].

If prestressed members are designed with sufficient precompression that the section remains
uncracked, there is not likely to be any problem with fatigue. This is because the entire section is
resisting the load ranges and the stress range in the prestessing strand is minimal. Similarly, for
unbonded prestessed members, the stress ranges will be very small. However, there is reason to be
concerned for bonded prestressing at cracked sections because the stress range increases locally. The
concern for cracked sections is even greater if corrosion is involved. The pitting from corrosive
attack can dramatically lower the fatigue strength of reinforcement [43].

Although the fatigue strength of prestressing strand in air is about equal to Category B, when
the anchorages are tested as well, the fatigue strength of the system is as low as half the fatigue
strength of the wire alone (i.e., about Category E). When actual beams are tested, the situation is
very complex, but it is clear that much lower fatigue strength can be obtained [46,47]. Committee
215 has recommended the following for prestressed beams:

1. The stress range in prestressed reinforcement, determined from an analysis considering the
section to be cracked, is not to exceed 6% of the tensile strength of the reinforcement (this
is approximately equivalent to Category C).

2. Without specific experimental data, the fatigue strength of unbonded reinforcement and their
anchorages is to be taken as half of the fatigue strength of the prestressing steel. (This is
approximately equivalent to Category E.) Lesser values are to be used at anchorages with
multiple elements.
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53.3.4 Classification of Stay Cables

The Post-Tensioning Institute has issued “Recommendations for Stay Cable Design and Testing”
[48]. The PTI recommends that uncoupled bar stay cables are Category B details, while coupled
(glued) bar stay cables are Category D. The fatigue strengths of stay cables are verified through
fatigue testing. Two types of tests are performed: (1) fatigue testing of the strand, and (2) testing
of relatively short lengths of the assembled cable with anchorages. The recommended test of the
system is 2 million cycles at a stress range (158 MPa) which is 35 MPa greater than the fatigue
allowable for Category B at 2 million cycles. This test should pass with less than 2% wire breaks. A
subsequent proof test must achieve 95% of the actual ultimate tensile strength of the tendons.

53.3.5 Characterization of Truck Loading for Fatigue

An actual service load history is likely to consist of cycles with a variety of different load ranges,
i.e., variable-amplitude loading. However, the S–N curves that are the basis of the fatigue design
provisions are based on constant-amplitude loading. A procedure is shown below to convert variable
stress ranges to an equivalent constant-amplitude stress range with the same number of cycles. This
procedure is based on the damage summation rule jointly credited to Palmgren and Miner (referred
to as Miner’s rule) [49]. If the slope of the S–N curve is equal to 3, then the relative damage of
stress ranges is proportional to the cube of the stress range. Therefore, the effective stress range
(SRe) is equal to the cube root of the mean cube (rmc) of the stress ranges, i.e.,

SRe = [(ni /Ntotal) Si
3] 1/3 (53.2)

where ni is the number of stress ranges of magnitude Si and Ntotal is the total number of stress ranges.
The fatigue design truck in the LRFD version of the AASHTO bridge design specification and in

the present 16th edition of the Standard Specifications is a three-axle HS20 truck. The front axle
has a weight of 36 kN and the rear two axles each have a weight of 142 kN. It is very important to
note that the single rear axles of the HS20 fatigue truck are actually intended to represent pairs of
tandem axles [50,51]. This simplification eases design of main members by decreasing the number
of axles (loads) which must be considered. Representation as a single axle is reasonable for design
of bridge main members, since the close spacing of tandem axles (about 1.2 m) effectively generates
only one stress cycle.

This simplified three-axle truck is not appropriate for the design of deck elements and even some
floor beams. Each axle of the tandem axle groups creates a unique stress cycle in a deck element.
When the entire distribution of trucks is considered, this results in approximately 4.5 axles or cycles
of loading on average for every truck. However, the LRFD code does not clearly indicate that this
should be taken into account in the fatigue design of these elements. If the HS20 tandem axle load
is split, the effective axle load is 71 kN for each axle.

The HS20 truck is used in strength calculations with a load factor greater than 1.0. However,
there is a load factor of 0.75 for fatigue in the LRFD specification, which implies that the actual
fatigue design truck is an HS15, i.e., an axle load of 107 kN (really a pair of tandem 53 kN axles).
Thus, the intent of the AASHTO LRFD Specifications is to use an HS15 loading for fatigue. The
load factor was invented so that an additional and possibly confusing design truck would not have
to be defined.

The use of an HS15 truck as representative of the rmc of the variable series of trucks is based on
extensive weigh-in-motion (WIM) data and was recommended in NCHRP Report 299 “Fatigue
Evaluation Procedures for Steel Bridges” [50]. A constant axle spacing of 30 ft was found to best
approximate the axle spacing of typical four and five axle trucks responsible for most fatigue damage
to bridges. This HS15 truck is supposed to represent the effective or rmc gross vehicle weight for a
distribution of future trucks.
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In the AASHTO LRFD specification, the effective stress range is computed from this effective
load, and the effective stress range is compared with an allowable stress range. The allowable stress
range is obtained from the constant-amplitude S–N curve, using the same number of cycles as the
number of variable cycles used to compute the rmc stress range.

This concept is illustrated schematically in Figure 53.9. Figure 53.9 shows the lower part of an
S–N curve with three different variable stress-range distributions superposed. The effective stress
range, shown as Sre in Figure 53.9, is the rmc of the stress ranges for a particular distribution, as
defined in Eq. 53.2. The effective variable-amplitude stress range is used with S–N curves the same
way as a constant-amplitude stress range is used, as shown for Case 1 in Figure 53.9.

Full-scale variable-amplitude fatigue tests show that if more than 0.01% of the stress ranges in a
distribution are above the CAFL (Case 2 in Figure 53.9), fatigue cracking will still occur [52]. The
few cycles that are above the CAFL seem to keep the process going, such that even the stress ranges
that are below the CAFL apparently contribute to the fatigue crack growth. The effective stress range
and number of cycles to failure data from these tests fell along a straight-line extrapolation of the
constant-amplitude curve. Therefore, the approach in the AASHTO LRFD specification is to use
the straight-line extrapolation of the S–N curve below the CAFL to compute the allowable stress
range. There is a lower cutoff of this straight-line extrapolation, which will be discussed later.

The British fatigue design standard BS 7608 [35] uses this same approach for variable amplitude
loading; i.e., an rmc stress range is used with an extrapolation of the S–N curve below the CAFL.
Eurocode 3 [29] also uses the effective stress range concept; however, it uses a different slope for
the extrapolation of the S–N curve below the CAFL.

Case 1 and Case 2 in Figure 53.9 are in what is called the finite-life regime because the calculations
involve a specific number of cycles. Case 3 in Figure 53.9 represents what is referred to as the infinite-
life regime. In the infinite-life regime, essentially all of the stress ranges are below the CAFL. The
full-scale variable-amplitude fatigue tests referred to earlier [52] show that as many as 0.01% of the
stress ranges can exceed the CAFL without resulting in cracking. Consequently, the stress range
associated with an exceedance probability of 0.01% is often referred to as the “fatigue-limit-state”
stress range.

The lower cutoff of the straight-line extrapolation of the S–N curve in the AASHTO LRFD
specification is related to this infinite-life phenomenon. Specifically, the AASHTO LRFD specifica-
tion cuts off the extrapolation of the S–N curve at a stress range equal to half the CAFL. The intent
of this limit is actually to assure that the fatigue-limit-state stress range is just below the CAFL. The

FIGURE 53.9 Schematic of three different cases of the relationship between the spectrum of applied stress ranges
and the S–N curve. Sre is the effective or rmc stress range and Srmax is the fatigue limit-state stress range with an
exceedance of 1:10,000. Case 1 and 2 are in the finite-life regime, whereas case 3 illustrates the infinite-life regime.
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AASHTO LRFD procedure assumes that there is a fixed relationship between the rmc or effective
stress range and the limit-state stress range, specifically that the effective stress range is equal to half
the limit-state stress range.

Depending on the type of details, the infinite-life regime begins at about 35 million cycles. When
designing for a number of cycles larger than this limit, it is no longer important to quantify the
precise number of cycles. Any design where the rmc stress range is less than half the CAFL, or where
the fatigue-limit-state stress range is less than the CAFL, should theoretically result in essentially
infinite life.

The ratio of the fatigue-limit-state stress range to the effective stress range is assumed to be the
same as the ratio of the fatigue-limit-state load range to the effective load range, although this is only
an approximation at best. Therefore, the fatigue-limit-state load range is defined as having a probability
of exceedance over the lifetime of the structure of 0.01%. A structure with millions of cycles is likely
to see load ranges exceeding this magnitude hundreds of times, therefore, the fatigue-limit-state load
range is not as large as the extreme loads used to check ultimate strength. The fatigue-limit-state load
range is assumed to be about twice the effective rmc load range in the LRFD specification.

Recall that the HS20 loading with a load factor of 0.75, i.e., an HS15 loading, was defined as the
effective load in the AASHTO LRFD Specification. Therefore, the LRFD Specifications implies that
the fatigue-limit-state truck would be HS30. The designer computes a stress range using the HS20
truck with a load factor of 0.75. By assuring that this computed stress range is less than half the
CAFL, the AASHTO LRFD specification is supposed to assure that the stress ranges from random
variable traffic will not exceed the CAFL more than 0.01% of the time.

The ratio of the effective gross vehicle weight (GVW) to the GVW of the fatigue-limit-state truck
in the measured spectrum is referred to in the literature as the “alpha factor” [25]. (This unfortunate
choice of nomenclature should not be confused with another alpha factor related to the ratio of the
actual stress ranges in the bridge to computed stress ranges.) The LRFD Specifications imply that
alpha equals 0.5.

The alpha factor of 0.5 implied by the LRFD Specifications is not consistent with the findings of
NCHRP Report 299 [50] and the Guide Specification for Fatigue Design of Steel Bridges [53], which
imply the alpha factor should be closer to 0.33. With alpha of 0.33, the fatigue-limit-state truck is
about three times heavier than the effective fatigue truck, or about HS45. This finding was based
on a reliability analysis, comparison with the original AASHTO fatigue limit check, review of
nationwide WIM data, and a study of alpha factors from measured stress histograms.

According to the statistics of the GVW histograms [50], this HS45 fatigue-limit-state truck has
only a 0.023% probability (about 1 in 5000) of exceedance, which is almost consistent with the
recommendation from NCHRP 354 that the fatigue-limit-state stress range has an exceedance of
less than 1:10,000. If the alpha of 0.33 is correct, the stress range produced by the fatigue truck
should be compared to ⅓ the CAFL rather than ½. The HS30 fatigue-limit-state truck implied by
the AASHTO LRFD provisions clearly has a much higher probability of exceedance.

The apparent inconsistency in the exceedance level of the fatigue-limit-state truck weight was
intentional and was a result of “calibrating” the LRFD bridge specifications to give fatigue design
requirements which are similar to those of preceding specifications. The theoretically low exceedance
level of the fatigue-limit-state truck weight implied by the LRFD code was used because it was felt
that other aspects of the design process are overconservative, such as the assumptions in the
structural analysis [54]. The Guide Specification for Fatigue Design of Steel Bridges [53] apparently
resulted in overly conservative estimates of fatigue life when compared with observed field behavior.
As a result, the LRFD Specification was “calibrated” to match existing field experience.

Measured axle load data [51,55] show axle loads which substantially exceed the 107 kN fatigue-
limit-state axle load (half of the tandem axle load from the HS30 truck) implied by the AASHTO
LRFD Specifications. The shape of the axle load spectra is essentially the same as the GVW spectra;
i.e., the alpha factor is about 0.33. This alpha factor would suggest the fatigue-limit-state axle load
with an exceedance level of about 1:10,000 would be approximately 160 kN. In fact, measured axle
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load data [55] show axle loads exceeding 160 kN in some cases. The appropriate axle load to use
in general design specifications is very uncertain, however, because the measured axle load spectra
are very site specific in this extreme tail of the distributions and the data are very sparse.

Aside from the fatigue-limit-state axle load or GVW, the rest of the loading spectrum does not
matter when using the infinite-life approach. Also, the precise number of cycles does not have to
be forecast. Rather, it is only necessary to establish that the total number of cycles exceeds the
number of cycles associated with the CAFL. Therefore, it is not necessary to know precisely the
expected life of the deck and future traffic volumes. Thus, despite the uncertainty in the appropriate
value for the fatigue-limit-state axle load, the infinite-life approach is considerably simpler than
trying to account for the cumulative damage of the whole distribution of future axle loads, which
is even more uncertain.

The infinite-life approach relies upon the CAFL as the parameter determining the fatigue resis-
tance. The emphasis in fatigue testing of details should therefore be on defining the CAFL. Unfor-
tunately, there is a need for additional testing to define these CAFL better. Many of the CAFL values
in Table 53.1 were based on judgment rather than specific test data at stress ranges down near the
CAFL. Additional research should be performed to investigate the validity of many of the CAFL.

Clearly, most structures carry enough truck traffic to justify an infinite-life fatigue design
approach, especially for the deck elements. For example, assuming 25-year life and a Category C
detail it can be shown that the maximum permissible ADTT is about 850 trucks/day if the number
of cycles associated with half the CAFL is just slightly exceeded in a deck element. In most cases,
designing for infinite fatigue life rather than designing for a finite number of cycles adds little cost.
This infinite-life approach has also recently been applied in developing AASHTO fatigue design
specifications for wind-loaded sign, signal, and luminaire support structures [17] and modular
bridge expansion joints [57–59].

In the fatigue design of bridge deck elements according to the AASHTO LRFD specifications, the
fatigue design stress range is obtained from a static analysis where the wheel loads (half the axle
loads) are applied in patches. The load patches in the LRFD Specifications are calculated in a manner
which differs from the calculation in the Standard Specifications. However, in both methods, the
patches increase in size as the load increases, which results in an applied pressure on continuous
deck surfaces which is approximately the same as typical truck tire pressures (700 kPa). In the
AASHTO LRFD Specifications, the patch has a fixed width of 508 mm and a tire pressure of 860
kPa. The patch increases in length as the load increases. At present, the LRFD specifications are not
clear as to how load factors are to be used in calculating the patch size. It is not conservative to use
the strength load factors in calculating the patch size, since this tends to spread the load over a
greater area. Ideally, the patches for the fatigue loading should be calculated on the basis of the
limit-state HS30 loading, although it would be conservative to use either the HS20 or factored HS15
loading.

53.4 Fracture Resistance

As explained previously, it is considered more important to focus on the prevention of fatigue cracks
in bridges than to focus on the resistance to fracture. However, for structural components which
are not subjected to significant cyclic loading, fracture could still possibly occur without prior fatigue
crack growth. The primary tension chords of long-span truss would be one example. Usually, this
would occur as the loads are applied for the first time during construction.

Unlike fatigue, fracture behavior depends strongly on the type and strength level of the steel or
filler metal. In general, fracture toughness has been found to decrease with increasing yield strength
of a material, suggesting an inverse relationship between the two properties. In practice, however,
fracture toughness is more complex than implied by this simple relationship since steels with similar
strength levels can have widely varying levels of fracture toughness.
© 2000 by CRC Press LLC



    
Steel exhibits a transition from brittle to ductile fracture behavior as the temperature increases.
For example, Figure 53.10 shows a plot of the energy required to fracture CVN impact test specimens
of A588 structural steel at various temperatures. These results are typical for ordinary hot-rolled
structural steel. The transition phenomenon shown in Figure 53.10 is a result of changes in the
underlying microstructural fracture mode.

There are three types of fracture with different behavior:

1. Brittle fracture is associated with cleavage of individual grains on select crystallographic
planes. This type of fracture occurs at the lower end of the temperature range, although the
brittle behavior can persist up to the boiling point of water in some low-toughness materials.
This part of the temperature range is called the lower shelf because the minimum toughness
is fairly constant up to the transition temperature. Brittle fracture may be analyzed with linear
elastic fracture mechanics [2,23,24] because the plasticity that occurs is negligible.

2. Transition-range fracture occurs at temperatures between the lower shelf and the upper shelf
and is associated with a mixture of cleavage and fibrous fracture on a microstructural scale.
Because of the mixture of micromechanisms, transition-range fracture is characterized by
extremely large variability.

3. Ductile fracture is associated with a process of void initiation, growth, and coalescence on a
microstructural scale, a process requiring substantial energy. This higher end of the temper-
ature range is referred to as the upper shelf because the toughness levels off and is essentially
constant for higher temperatures. Ductile fracture is also called fibrous fracture due to the
fibrous appearance of the fracture surface, or shear fracture due the usually large slanted
shear lips on the fracture surface.

Ordinary structural steel such as A36 or A572 is typically only hot-rolled, while to achieve very
high toughness steels must be controlled-rolled, i.e., rolled at lower temperatures, or must receive
some auxiliary heat treatment such as normalization. In contrast to the weld metal, the cost of the
steel is a major part of total costs. The expense of the high-toughness steels has not been found to
be warranted for most bridges, whereas the cost of high-toughness filler metal is easily justifiable.
Hot-rolled steels, which fracture in the transition region at the lowest service temperatures, have
sufficient toughness for the required performance of most welded buildings and bridges.

ASTM specifications for bridge steel (A709) provide for minimum CVN impact test energy levels.
Structural steel specified by A36, A572, or A588, without supplemental specifications, does not
require the Charpy test to be performed. The results of the CVN test, impact energies, are often
referred to as “notch-toughness” values.

FIGURE 53.10 Charpy Energy Transition Curve for A588 Grade 50 (350 MPa yield strength) Structural Steel.
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The CVN specification works by assuring that the transition from brittle to ductile fracture occurs
at some temperature less than service temperature. This requirement ensures that brittle fracture
will not occur as long as large cracks do not develop. Because the Charpy test is relatively easy to
perform, it will likely continue to be the measure of toughness used in steel specifications. Often
34 J (25 ft-lbs), 27 J (20 ft-lbs), or 20 J (15 ft-lbs) are specified at a particular temperature. The
intent of specifying any of these numbers is the same, i.e., to make sure that the transition starts
below this temperature.

Some Charpy toughness requirements for steel and weld metal for bridges are compared in
Table 53.2. This table is simplified and does not include all the requirements.

Note that the bridge steel specifications require a CVN at a temperature that is 38°C greater than
the minimum service temperature. This “temperature shift” accounts for the effect of strain rates,
which are lower in the service loading of bridges (on the order of 10–3) than in the Charpy test
(greater than 101) [23]. It is possible to measure the toughness using a Charpy specimen loaded at
a strain rate characteristic of bridges, called an intermediate strain rate, although the test is more
difficult and the results are more variable. When the CVN energies from an intermediate strain rate
are plotted as a function of temperature, the transition occurs at a temperature about 38°C lower
for materials with yield strength up to 450 MPa.

As shown in Table 53.2, the AWS D1.5 Bridge Welding Code specifications for weld metal tough-
ness are more demanding than the specifications for base metal. The extra margin of fracture
toughness in the weld metal is reasonable because the weld metal is always the location of discon-
tinuities and high tensile residual stresses. Because the cost of filler metal is relatively small in
comparison with the overall cost of materials, it is usually worth the cost to get high-toughness
filler metal.

The minimum CVN requirements are usually sufficient to assure damage tolerance, i.e., to allow
cracks to grow quite long before fracture occurs. Fatigue cracks grow at an exponentially increasing
rate; therefore, most of the fatigue life transpires while the crack is very small. Additional fracture
toughness, greater than the minimum specified values, will allow the crack to grow to a larger size
before sudden fracture occurs. However, the crack is growing so rapidly at the end of life that the
additional toughness may increase the life only insignificantly. Therefore, specification of toughness
levels exceeding these minimum levels is usually not worth the increased cost of the materials.

The fractures of steel connections that occurred in the Northridge earthquake of 1994 is an
example of what can happen if there are no filler metal toughness specifications. At that time, there
were no requirements for weld metal toughness in AWS D1.1 for buildings, even for seismic welded
steel moment frames (WSMF). This lack of requirements was rationalized because typically the
weld deposits are higher toughness than the base metal. However, this is not always the case; e.g.,
the self-shielded flux-cored arc welds (FCAW-S) used in many of the WSMF that fractured in the
Northridge earthquake were reported to be very low toughness [5–7].

TABLE 53.2 Minimum Charpy Impact Test Requirements for Bridges and 
Buildings

Minimum Service Temperature

Material –18°C, J@°C –34°C, J@°C –51°C, J@°C

Steel: nonfracture-critical membersa,b 20@21 20@4 20@–12

Steel: fracture-critical membersa,b 34@21 34@4 34@–12

Weld metal for nonfracture criticala 27@–18 27@–18 27@–29

Weld metal for fracture criticala,b 34@–29 for all service temperatures

a These requirements are for welded steel with minimum specified yield strength up to
350 MPa up to 38 mm thick. Fracture-critical members are defined as those which if
fractured would result in collapse of the bridge.

b The requirements pertain only to members subjected to tension or tension due to
bending.
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ASTM A673 has specifications for the frequency of Charpy testing. The H frequency requires a
set of three CVN specimens to be tested from one location for each heat or about 50 tons. These
tests can be taken from a plate with thickness up to 9 mm different from the product thickness if
it is rolled from the same heat. The P frequency requires a set of three specimens to be tested from
one end of every plate, or from one shape in every 15 tons of that shape. For bridge steel, the
AASHTO specifications require CVN tests at the H frequency as a minimum. For fracture-critical
members, the guide specifications require CVN testing at the P frequency. In the AISC specifications,
CVN tests are required at the P frequency for thick plates and jumbo sections. A special test location
in the core of the jumbo section is specified, as well as the requirement that the section tested be
produced from the top of the ingot.

Even the P testing frequency may be insufficient for as-rolled structural steel. In a recent report
for NCHRP [60], CVN data were obtained from various locations on bridge steel plates. The data
show that because of extreme variability in CVN across as-rolled plates, it would be possible to miss
potentially brittle areas of plates if only one location per plate is sampled. For plates that were given
a normalizing heat treatment, the excessive variability was eliminated.

Quantitative means for predicting brittle fracture are available, i.e., fracture mechanics
[2,6,11–13,23,24,61]. These quantitative fracture calculations are typically not performed in design,
but are often used in service to assess a particular defect. There is at best only about plus or minus
30% accuracy in these fracture predictions, however. Several factors contributing to this lack of
accuracy include (1) variability of material properties; (2) changes in apparent toughness values
with changes in test specimen size and geometry; (3) differences in toughness and strength of the
weld zone; (4) complex residual stresses; (5) high gradients of stress in the vicinity of the crack due
to stress concentrations; and (6) the behavior of cracks in complex structures of welded intersecting
plates.

53.5 Summary

1. Structural elements where the live load is a large percentage of the total load are potentially
susceptible to fatigue. Many factors in fabrication can increase the potential for fatigue
including notches, misalignment, and other geometric discontinuities, thermal cutting, weld
joint design (particularly backing bars), residual stress, nondestructive evaluation and weld
defects, intersecting welds, and inadequate weld access holes. The fatigue design procedures
in the AASHTO Specifications are based on control of the stress range and knowledge of the
fatigue strength of the various details. Using these specifications, it is possible to identify and
avoid details which are expected to have low fatigue strength.

2. The simplified fatigue design method for infinite life is justified because of the uncertainty
in predicting the future loading on a structure. The infinite-life fatigue design philosophy
requires that essentially all the stress ranges are less than the CAFL. One advantage of this
approach for structures with complex stress histories is that it is not necessary to predict
accurately the entire future stress range distribution. The fatigue design procedure simply
requires a knowledge of the stress range with an exceedance level of 1:10,000. The infinite-
life approach relies upon the CAFL as the parameter determining the fatigue resistance. The
emphasis in fatigue testing of details should therefore be on defining the CAFL. Additional
research should be performed to investigate the validity of many of the CAFL in the present
specification.

3. Welded connections and thermal-cut holes, copes, blocks, or cuts are potentially susceptible
to brittle fracture. Many interrelated design variables can increase the potential for brittle
fracture including lack of redundancy, large forces and moments with dynamic loading rates,
thick members, geometric discontinuities, and high constraint of the connections. Low tem-
perature can be a factor for exposed structures. The factors mentioned above that influence
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the potential for fatigue have a similar effect on the potential for fracture. In addition, cold
work, flame straightening, weld heat input, and weld sequence can also affect the potential
for fracture. The AASHTO Specifications require a minimum CVN “notch toughness” at a
specified temperature for the base metal and the weld metal of members loaded in tension
or tension due to bending. Almost two decades of experience with these bridge specifications
have proved that they are successful in significantly reducing the number of brittle fractures.
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